F or multi-span bridges with 40 ft (12 m) spans or less, the most economical structure is often a continuous reinforced concrete slab without girders. One alternative to this structure that results in construction cost savings utilizes full-span , prestressed concrete form panels.
An experimental investigation was conducted to evaluate the behavior and strength of bridges constructed with full-span prestressed concrete form panels. This paper addresses the behavior under repeated service loadings and ultimate strength of this type of bridge.
Two full-scale specimens were fabricated and subjected to 5 million cycles of service loading before being loaded to failure. It was concluded that these composite bridges will perform adequately under repeated service loadings when composite action between the precast panels and a cast-in-place topping is achieved by applying a raked finish to the precast panels. The full design moment capacities were developed in each specimen after the 5 million cycles of service load had been applied. These ultimate capacities were found to be independent of the moments induced by the restraint of timedependent deformations. F or multi-span bridges with 40 ft (12 m) spans or less, the most economical structure is often a continuous reinforced concrete slab without girders. One alternative to this structure that results in construction cost savings utilizes full-span , prestressed concrete form panels.
When this construction method was first used in bridges in the 1970s, regular cracking over precast panel joints and at pier locations was observed. However, with the advent of high performance concretes, better construction practices and increased quality control, bridges with this type of construction are a more attractive option than at earlier times. An experimental investigation of bridges constructed with full-span prestressed concrete panels was conducted by the authors to evaluate their behavior during construction and throughout the expected period of service.
A previous article ' resulting from this study addressed the moments due to the restraint of time-dependent deformations in these bridges. This article presents the findings pertaining to the behavior and strength of bridges constructed with full-span, prestressed concrete panels when exposed to re-peated service loadings. These characteristics were evaluated by:
1. Determining the effects of repeated loading on the continuity at interior piers.
2. Evaluating the ultimate strength of multi-span bridges constructed with full-span, prestressed concrete panels.
LITERATURE REVIEW
Hays, Cox and Obranic 2 performed extensive numerical and experimental studies on the static behavior of bridges constructed with full-span prestressed concrete panels. These studies included field investigation and load testing of existing bridges, as well as testing of half-scale laboratory specimens . It was concluded that the shrinkage stresses induced in the castin-place (CIP) portion of the deck were likely to be large enough to produce longitudinal cracking over the joints between precast panels.
To improve performance in load transfer between panels, the authors recommended a minimum amount of transverse reinforcement in the topping of #4 bars at 12 in. (305 mm) on center, along with a minimum topping thickness of 4 .5 in. (115 mm). The control of longitudinal cracking between panels could be further improved by reducing the thickness of the panel adjacent to the joint at least 12 in . (305 mm) from the end, thus providing a larger thickness of CIP topping over the joint. Stirrups could be placed in the topping over the joint to further improve the load transfer. 2 It was further shown that the AASHTO effective width criterion for a one-way slab with reinforcement parallel to traffic provided a reasonable and conservative estimate of the effective width for distribution of wheel loads in the composite decks with longitudinal form panels.
Buckner and Tumer 3 studied the effects of repetitive loading on the serviceability and strength of simply supported full-span prestressed form panels with a composite CIP topping slab. This study involved the testing of six simply supported composite decks for 2 million cycles of service load followed by a final test to failure . Loads were arranged to produce maxi- mum shear stresses in the CIP topping slab under an HS20-44 design load. The items considered in this study included the topping slab thickness, panel joint type (flat or beveled), and the effect of longitudinal cracks in the topping slab. Performance was evaluated primarily on the basis of the flexural rigidity of the deck, the differential deflection between adjacent panels, and the strength and ductility of the composite deck. Visible cracks in the concrete, slip of the prestressing strands, and strains in the transverse steel were also considered in the specimen evaluation.
The Buckner and Turner study 3 showed that adequate composite action was achieved by roughening the interface surface of the precast panel using a steel rake to produce deformations of approximately panel surface was wetted and standing water was removed with an air pressure hose. Interface bond then provided the only means of shear connection in the specimens tested because the four lifting loops for handling each panel were removed prior to casting the topping. Adequate serviceability and strength were obtained by using flat precast panels instead of the more expensive beveled ones. There " 'as no indication that the thickness of the CIP topping relative to the total composite slab thickness affects the fatigue strength up to 2 million cycles of load. For HS20-44 live loads, adequate shear strength was provided by a 5 in. (125 mm) CIP topping slab reinforced transversely with #4 bars (Grade 60) spaced at 12 in. (305 mm) on center. The shear transfer strength was available even when longitudinal cracks existed in the CIP topping over the panel joints. Fig. 2 . Setup of test specimen (Bridge 2) in laboratory. 
EXPERIMENTAL PROGRAM
To evaluate the behavior and strength of continuous bridges constructed with full-span prestressed concrete panels, two bridges, each with two spans, were fabricated and tested in the Karl H. Kettelhut Structural Laboratory at Purdue University. Each span of a bridge consisted of two prestressed concrete form panels measuring 21 ft long x 4 ft wide x 6 in. thick (6.4 m x 1.2 m x 150 mm), topped with a 6 in. (150 mm) thick composite CIP slab. Fig. 1 shows the geometric characteristics of the test setup. Fig. 2 shows the laboratory setup of a test specimen.
The simply supported concrete panels were placed on supports consisting of plates and rollers. The supports at the center pier modeled pin connections, while the supports at discontinuous ends represented roller connections. Composite action between the precast concrete form panels and CIP topping was attained by applying a raked finish to the top surface of the form panels, as recommended by Buckner and Turner.' 
Instrumentation
The discontinuous end reactions of each bridge were monitored throughout the testing using load cells. Two load cells were placed at each end (one per panel) underneath a spreader beam assembly (see Fig. 4 ). The load cells were used to determine the internal moments of the two-span, statically indeterminate structure.
Load cell readings were monitored throughout the cure period of the CIP top slab to study the combined effects of creep and shrinkage. Results from the study of these time-dependent effects are discussed in the first article of this series titled " Restraint Moments in Bridges with Full-Span Prestressed Concrete Form Panels."
1 Load cell readings were also recorded during the cyclic loading phase of the project and during the final loading to failure. Electrical resistance strain gauges were used to measure strains in the concrete and steel of both bridge specimens. Strain gauges were installed on the prestressing strands and on the longitudinal epoxy-coated reinforcing steel in the CIP topping at the center pier. Surface strain gauges were also installed near midspan on the top and bottom of the precast panels prior to casting the topping, as well as on the CIP concrete prior to beginning the cyclic loading.
Midspan deflections of the composite bridges were measured using L VDTs (linear variable differential transducers). Deflection measurements were taken during the cyclic loading period and during the final monotonic loading to failure.
Prestressing strand slip was measured at the discontinuous ends of the bridge by attaching dial gauges to the strands that extended out of the panels (see Fig. 5 ). The dial gauges were monitored throughout the cyclic loading and as the bridge was loaded to failure.
REPETITIVE LOADING
After the CIP topping had cured for 50 days (Bridge 1) and 44 days (Bridge 2), each bridge was subjected to 5 million cycles of service loading by two hydraulic actuators (one per span) in order to evaluate the effects of repeated loading on the degree of continuity at interior piers. Any "softening" at the pier locations would be manifested in larger midspan deflections and discontinuous end reactions for a given load.
The actuators were located a distance of 8 ft 3 in. (2.51 m) from the center of the middle pier (see Fig. 1 ) and were centered over the precast panel joints. This location was close to the loading point that produced the maximum negative moment over the center pier.
Load was applied to the deck through 1 /2 in. (13 mm) thick neoprene bearing pads measuring 10 x 13 in.
(255 x 330 mrn) in area, simulating a tire footprint as in the study by Buckner and Turner. 3 The load levels for the cyclic loading of each bridge were chosen so that the maximum stress in the longitudinal steel over the pier ranged from approximately 26 to 44 ksi (180 to 300 MPa).
March-Apri l 1998 The value of 26 ksi (180 MPa) was believed to be a conservative estimate of the service load stress at cracked sections of lightly reinforced members due to dead loads. The upper limit of 44 ksi (300 MPa) corresponded to a stress range of 18 ksi (120 MPa), which is equal to 120 percent of the maximum allowable design reinforcement stress range designated by AASHTO Section 5.5.3.1..1. 4 This stress range was believed to represent a worst case scenario of repeated loadings in excess of the design service load.
The moments corresponding to steel stresses of 26 and 44 ksi (180 and 320 MPa) were determined for each bridge by elastic analysis using the following assumptions:
• Plane sections remain plane.
• Full bond exists between the concrete and the steel reinforcement.
• The concrete carries tension until strains reach the cracking strain and then carries no tension. The cracking strain assumed was 0.00014 [based on a modulus of rupture of 650 psi (4.48 MPa) and an elastic modulus of 4500 ksi (31.03 GPa)]. Using these assumptions, the magnitudes of the lower and upper cycling moments were determined to be 65 and 104 kip-ft (88 and 141 kN-m) for Bridge 1, and 56 and 87 kip-ft (76 and 118 kN-m) for Bridge 2. Each bridge was loaded several times prior to cyclic loading, with discontinuous end reactions monitored, to determine the applied loads that would produce neg- ative moments at the pier equal to the calculated limits.
These loads were then used as the upper and lower cycling limits for the entire 5 million cycles. For Bridge 1, the cyclic loading was from 4.5 to 20.8 kips (20.0 to 92.5 kN). For Bridge 2, the cyclic loading was from 6.9 to 20.0 kips (30.7 to 89.0 kN). The cyclic loading was applied at a frequency of 1.5 Hz for both bridges.
Cyclic Loading of Bridge 1
The cyclic loading of Bridge 1 began on May 25, 1994. After 2 million cycles of load had been applied, the loading was halted and the surface of the bridge near the center pier was subjected to 48 weeks of southern exposure cycling as part of the durability phase of this study. This weekly cycling consisted of 4 days of exposure to a 15 percent sodium chloride solution, followed by a 3-day drying period.
At the conclusion of the exposure cycling, an additional 3 million cycles of load, of the same magnitude as the first 2 million cycles, were applied. Measurements of end reactions and midspan deflections were taken during static loadings prior to cycling and periodically throughout the 5 million loading cycles. Fig. 6 shows the measured load vs. midspan deflection curves of Bridge 1 throughout the 5 million cycles of load for the east span. Midspan deflections measured for the west span were similar. In this figure, zero deflection corresponds to the position at the beginning of the cyclic loading. This figure shows two distinct sets of curves, each having a different slope. The first group of curves, which have zero-load deflections between 0 and 0.03 in. (0.8 mm), correspond to the first 2 million cycles of loading.
Although the zero-load deflection values during these 2 million cycles increased as more cycles of load were applied, the slopes of these curves remained the same. This increase was believed to be due to creep under sustained loading and not due to a decrease in continuity between adjacent spans because a decrease in continuity would also reduce the slope of these curves. For this bridge, there was a sustained load of 4. 
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.3 25 March-April 1998 (the lower load limit) during the cycling.
The second group of curves, which have zero-load deflections in excess of 0.04 in. (1.0 mm), corresponds to the 3 million cycles of loading, which were applied after the conclusion of the exposure cycling. These curves have a larger slope than the first set of curves, indicating an increase in the stiffness of the structure. These curves are also grouped closer together than the curves corresponding to the first 2 million cycles , as creep effects were not as prominent for the older concrete.
The difference in the load-deflection relationship before and after the durability testing can be more clearly seen in Fig. 7 , where the deflections during the same static loadings have been normalized at the zero-load point. This normalization eliminates the timedependent deformations and allows for direct comparison of instantaneous deflections due to the applied load. These figures clearly indicate that the stiffness of the bridge, and thus the continuity at the pier, remained essentially unchanged as a result of the cyclic loading.
However, there was a significant increase in the stiffness of the bridge during the durability cycling, as indicated by the two distinct sets of loaddeflection curves. The change in stiffness in the structure can be understood by examining the restraint moments at the pier throughout the cyclic loading. These moments are shown for the east span in Fig. 8 .
This figure shows that the restraint moments (moments at zero applied load), which were negative throughout the first 2 million cycles of applied load, became positive restraint moments prior to the additional 3 million cycles of load (which were applied after the conclusion of the exposure cycling). Positive restraint moments would have a tendency to close the cracks that had been open under the negative restraint moments, thereby increasing the stiffness at the pier section.
The authors believe the change in restraint moments , which was observed after only 4 weeks of exposure cycling, was caused by the reversal of shrinkage due tore-wetting of the CIP concrete during the exposure cycling.
Cyclic Loading of Bridge 2
The cyclic loading of Bridge 2 began on January 30, 1996, and concluded on March 13, 1996. Fig. 9 shows the load vs. midspan deflection curves of Bridge 2 throughout the 5 million cycles of load for the east spans. Deflection measurements taken for the west span were similar. As with Bridge 1, the zero-load deflections increased with time, presumably due to creep under the sustained minimum load [6.9 kips (30.7 kN) in this case]. Fig. 10 shows these same loaddeflection curves after the elimination of time-dependent deflections. This figure clearly illustrates that the loaddeflection relationship remained essentially constant throughout the 5 million loading cycles, and that deterioration of the continuity between spans did not occur. Fig. 11 shows the relationship of the continuity moments with the applied load for the east span during the cyclic loading. This figure indicates that the flexural stiffness at the pier, as indicated by the slope of the continuity moment vs. applied load relationship, remained unchanged throughout the 5 million cycles of load. 
FAILURE LOADING
Each bridge was loaded to failure after the completion of the cyclic loading to determine its ultimate loadcarrying capacity. The failure loading was applied by the same two hydraulic actuators used during the cyclic loading portions of this study. Prior to the final loading, a 26 x 26 in. (660 x 600 mm) steel plate was placed under each hydraulic actuator.
Load was then applied to the bridge through 24 x 24 in. (610 x 610 mm) bearing pads, which were placed between the concrete deck and the steel plates. This increased bearing area was used to prevent a punching shear failure at the point of loading. During the failure loading of each bridge, discontinuous end reactions, deflections, strains and strand slip were recorded. The results of these loadings are discussed in the following sections of this paper.
Calculation of Failure Loads
The flexural capacities of the test bridges were calculated using the principle of virtual work, assuming full redistribution of elastic moments is possible. A collapse mechanism was t----7.5' ---+ -------1 2 . 5 ' ------< 86 assumed in which "hinges" form at the point of loading and at the pier location. The moments at these hinges were set equal to the nominal flexural strength of the section. The flexural failure load was then calculated by equating the internal work and external work corresponding to a virtual displacement of one unit at the applied load. This procedure is shown in Fig. 12 . Using this method, the failure loads of the test bridges were determined from the following expression: (1) where P = applied load at failure M 1 = nominal moment capacity at pier M 2 = nominal moment capacity of composite prestressed section w = uniform load due to self weight of precast panels and CIP topping
The nominal moment capacities were calculated using the AASHTO Specifications equations and by strain compatibility. Strain compatibility calculations were performed using a computer program that was developed by Peterman to calculate momentcurvature relationships of reinforced concrete sections . This program allowed for the stress-strain curves of the mild steel reinforcement, as determined from actual tension tests in the laboratory, to be used.
A modified Ramberg-Osgood equation was used to represent the stressstrain relationship of the prestressed steel, as suggested by Collins and Mitchell.' A linear stress-strain relationship was assumed for the concrete at stresses below 0.5J:.
At higher stresses, the stress-strain relationship of the concrete was represented by a~mple parabolic expression recom ended by Collins and Mitchell.' ing this program, the nominal moment capacity was assumed to be the moment corresponding to a maximum concrete compressive strain of 0.004. Tables 2 and 3 list the calculated nominal moment capacities obtained from both the AASHTO equations and strain compatibility, as well as the corresponding failure loads calculated using Eq. (1) for Bridges I and 2, respectively. The uniform dead load due to self weight was 1.2 kips per ft (17 .5 kN/m) for both bridges.
Both tables show that the calculated negative moment capacities using the AASHTO equations are considerably less than those calculated using the strain compatibility method. This is mostly due to the strain hardening of the mild steel reinforcement.
The AASHTO calculations consider the maximum reinforcement stress to be equal to the specified minimum yield stress, while the strain compatibility approach uses the actual stressstrain curve of the material. In addition, the positive moment capacities at the composite precast sections, determined from the strain compatibility calculations, are also higher than those computed from the AASHTO equations.
This difference is primarily because the strain compatibility calculations included the shrinkage and temperature steel in the CIP topping, and because of the assumed higher concrete compressive strain at failure (0.004 vs. 0.003, the basis for the AASHTO equations). Therefore, the calculated flexural failure loads for each bridge are highest when using the nominal moments obtained from strain compatibility.
The shear stresses at the center pier of each bridge, corresponding to the calculated flexural failure loads, were less than the allowable design shear stresses. Shear stresses at the center pier corresponding to the calculated flexural failure loads were 125 and 83 psi (0.86 and 0.57 MPa) for Bridge 1 and Bridge 2, respectively. The allowable design shear stress of 2JJ: was approximately 150 psi (1.03 MPa) for each bridge. Therefore, a flexural failure was expected for both test bridges.
Failure Loading of Bridge 1 Bridge 1 was loaded to failure on August 2, 1995. During this final loading, the applied actuator force was increased in increments of 5 kips (22.2 kN) and measurements were recorded at each load level. Because the negative moment region had been cracked during the cure period and previous loadings, the load-deflection relationship was approximately linear until March-April 1998 cracking occurred in the positive moment region. Observed flexural cracking of the prestressed panels in the positive moment region occurred at a load of about 99 kips ( 440 kN) for the east span and I 04 kips ( 460 kN) for the west span. These loads corresponded to positive moments of 420 and 430 kip-ft (570 and 583 kN-m), respectively, as determined from measurements of applied load and discontinuous end reactions.
These moments are considerably higher than the calculated cracking moment for the section of 330 kip-ft (447 kN-m). This calculation assumed a modulus of rupture of 820 psi (5.65 MPa), an estimated prestressing steel stress of 174 ksi (1200 MPa) , and gross section properties.
Because a visual observation of cracking was limited to the sides of below the compression chord (see Fig.  14) . Concrete crushing (evidenced by spalling) was also observed at the positive moment region in the east span at thi s loading but did not lead to collapse, as the test was terminated after failure of the west span. The actual failure load of 140 kips (623 kN) was essentially the same as the value determined by virtual work [139 kips (6 18 kN) ], using the nominal moment capacities obtained by strain compatibility. The failure load was approximately 13 percent larger than the estimated value of 124 kips (552 kN) , obtained using the AASHTO nominal moment capacities. Tables 4 and 5 show the measured strand slip during the failure loading of Bridge 1 at the east and west ends, respectively . These tables show that considerable strand slip occurred prior to failure, especially at the west end. Strands 8 and 9, which were located at the center of the bridge and nearest to the applied load, had slips in excess of 1 / 4 in . (6 mm) at the west end.
Strand slip was measured at the discontinuous ends, which were located more than 12 ft (3.66 m) from the point of maximum positive moment. Slip began at a load of approximately 130 kips (5 78 kN ), which co rresponded to a calculated max imum strand stress of 250 ksi (1725 MPa) and an average bond stress of only 185 psi (1.27 MPa).
This strand slip did not prevent the section from reaching the design capacity, however, as the experimentally determined positive moments (calculated from values of end reactions and applied load) exceeded the AASHTO design moment by nearly 4 percent. The maximum experimental moments were calculated to be 567 kip-ft (769 kN-m) in eac h s pan , while the AASHTO de sig n moment was 547 kip-ft (742 kN-m).
Failure Loading of Bridge 2
Bridge 2 was loaded to failure on March 26, 1996 . During thi s final loading, the applied actuator force was increased in 1 kip ( 1.45 kN ) increments, and measurements of applied load, end reactions , deflections, and strains were recorded at eac h load level. Because the negative moment region had many transverse cracks prior to this loading, no additional cracks were observed at the pier until the bridge was near failure and considerable yielding of the reinforcement had taken place. Positive moment cracking was not observed until 60 kips (270 N) of load had been applied in each span. The positive moments corresponding to this load were calculated (from values of end reactions and applied load) as 251 and 247 kip-ft (340 and 335 kNm) in the east and west spans, respectively. These moments are considerably larger than the estimated cracking load of 170 kip-ft (230 kN-m), based on a modulus of rupture of 875 psi (6.03 MPa) and a strand stress of 182 ksi (1250 MPa).
Nevertheless , electrical resistance strain gauges, which were attached to the concrete on the underside of the precast panels at midspan, indicated that cracking of the concrete occurred at a much lower load. Fig. 15 shows the incremental strains occurring, during the final loading, at concrete surface gauges located on the bottom of the precast panels at midspan. Fig. 15 shows that tensile strains increased in the concrete with increasing load in the east span until a load level between 30 and 40 kips (130 and 180 kN) was reached, after which the incremental strains decreased.
This behavior is evidence that transverse cracki ng occurred near the gauge locations, thereby decreasing the strain in the concrete as the strain in the prestressed steel increased . Strains in bottom surface gauges located in the west span suggest that cracking occurred as early as 27 kips (120 kN) in this span.
The positive moments corresponding to 30 kips (130 kN) of applied load were determined to be 137 kip-ft (185 kN-m) for each span. More evidence for this cracking can be seen in Fig. 16 , which shows the incremental strains at surface gauges located on the top of the precast panels (the interface between the precast panels and the CIP topping) at midspan. This figure shows that incremental strains were approximately zero below 30 kips (130 kN), because the neutral axis for the uncracked section was near the mid- depth of the section. After cracking, however, the neutral axis was in the CIP concrete and tensile strains occurred at the gauge level.
The failure load for Bridge 2 was 85 kips (380 kN). This load was sustained for approximately 10 minutes before collapse of the west span occurred due to flexure. Flexural failure occurred in the positive moment region, at the loading point in the west span. Spalling of the top concrete occurred gradually, initiating near the point of loading and moving towards the sides of the bridge.
This spalling served to increase the curvature at the section and increase the stress in the steel. Collapse of the west span occurred when the strands ruptured. After the west span failed, the load in the east span was maintained at 85 kips (380 kN). Failure occurred in this span in a similar manner about 20 minutes later. slope, as deflections increased at an accelerated rate with increasing load. This change in slope occurred as the pre-compressed concrete area decreased and the reinforcement stress increased.
After about 70 kips (31 0 kN), the load-deflection curves have a very low slope, presumably due to yielding of the prestressing steel. The positive moments at 70 kips (31 0 kN) of applied load were approximately 290 kip-ft (390 kN-m), which would correspond to a stress in the prestressed steel of 250 ksi (1720 MPa), calculated using the strain compatibility method.
The failure load of 85 kips (380 kN) was higher than the values predicted by Eq. (1) using the nominal moment capacities obtained from both the AASHTO equations and strain compatibility. These values were 66 and 81 kips (295 and 360 kN), respectively. Failure in both spans occurred at the edge of the loading plate closest to midspan, as the plate acted to confine the concrete and prevent failure under the point load (see Fig. 18 ).
Note that this resulted in a slightly higher failure load because the failure mechanism was located away from the point of maximum moment. This increased failure capacity can also be calculated using the principle of virtual work as shown in Fig. 19 . The resulting expression for the failure load is: Fig. 18 . Failure of Bridge 2 occurred at edge of loading plate.
90 P = 0.133M 1 + 0.232M 2 -11.333w (2) where P, MI> M 2 , and ware the same as for Eq. (1). The failure capacities calculated from Eq. (2) are 69 kips (31 0 kN) using the AASHTO moments and 85 kips (380 kN) using the moments from strain compatibility.
The maximum positive moment occurring during the failure loading of Bridge 2, as determined from applied load and end reaction values, was 338 kip-ft (460 kN-m) . This exceeded the AASHTO nominal moment capacity of 290 kip-ft (395 kN-m), as well as the moment calculated using strain compatibility of312 kip-ft (425 kN-m) .
Strand slip and differential deflections between panels were also measured during the failure loading of Bridge 2. Unlike Bridge 1, only minimal strand slip occurred during the final loading of Bridge 2. The maximum recorded strand slip was 0.005 in. (0.13 mm).
The strand used for both test bridges was taken from the same strand spool. However, because the panels for Bridge 2 were poured nearly one year after the panels for Bridge 1, additiona] weathering of the prestressed steel prior to casting the panels for Bridge 2 may have resulted in the improved bond performance observed. The spool was opened at the time the panels for Bridge 1 were cast.
Effect of Restraint Moments on Ultimate Strength
The calculated flexural failure load of each bridge was within 1.3 percent of the actual failure load. These values were computed by the principle of virtual work using nominal moment capacities obtained from a strain compatibility analysis of the full composite section.
For Bridge 1, the calculated failure load was 139 kips (618 kN) and the actual failure load was 140 kips (623 kN). For Bridge 2, the calculated failure load [from Eq. (2)] and the actual failure load were both 85 kips (380 kN). These calculations did not consider the restraint moments existing at the center pier, as these were relieved by additional concrete cracking and yielding of the steel reinforcement prior to failure . The observation that moments due to the restraint of timedependent deformations do not affect the strength of the structure is consistent with the fmdings of Mattock.
